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Check Shear; From the analysis output;  Vu column
k

, .= 2 37  (10.5KN)

φv n
kV = 77 5.  (344.7KN) per AISC LRFD 2nd ed. maximum uniform load tables

∴ = < =V Vu column
k k

v n, . .2 37 77 5 φ  (10.5KN < 344.7KN)       O.K.

(1) Moment Frames without truss (High Roof).

There will be one design used for the worst case situation and this design will be used throughout the high
roof.  The worst case situation is the interior moment frame because it supports the largest tributary area.

Determine Design Loads:
Roof:

wLR:
Live load reduction per ANSI/ASCE 7-95;
AT = 15’(30’) = 450-ft2  (41.8m2)
R1 = 1.2-0.001(AT)
     = 1.2-0.001(450-ft2)
     = 0.75
Roof slope is flat ∴ R2 = 1.0
∴  wLR = 15’(20psf)0.75 = 225plf  (3.28KN/m)
wDR = 15’(18.7psf)

  = 280plf  (4.08KN/m)
PDR = 5.9psf(11’)(15’) = 974-lb  (4.33KN) (point load due to wt. of side walls)

Note:  Weight of story panel is conservatively placed at the top of the column.
ER = 1.0QE = 1.17k  (5.20KN) (applied as a uniform load of 1.17k/30’ = 39plf  (0.57KN/m) along the
beam length)

Second Floor:
Note: there is no live load reduction at this level because the floor consists of a one way slab.
wLF = 15’(40psf) = 600plf  (8.75KN/m)
wDF = 15’(84.8psf)

  = 1,272plf  (18.55KN/m)
PDF = 5.9psf(5.5’)(15’) = 487-lb  (2.17KN)  (point load due to wt. of side walls)
EF = 1.0QE = 1.0(0.90k+0.004k) = 0.904k  (4.02KN)(includes torsion effects, and is applied as a
uniform load of 0.904k/30’ = 30.1plf (0.44KN/m) along the beam length)

1-in = 25.4mm
1-ft = 0.30m

1plf = 14.58N/m
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Design Members:

Note;  As for the low roof area haunch properties Ix, Iy, Sx, and A as well as the length of the haunch were
previously calculated as;  Ix = 640-in4 (266.4X106 mm4),  Iy = 13.3-in4 (5.54X106 mm4),  Sx = 58-in3

(950.4X103 mm3),  A = 11.48-in2 (7.41X103 mm2), and ‘L’ length from centerline of column to toe of
haunch is 1.85’ (22.25”)(0.56m).

General;

As in the case of the low roof, the moment frame was analyzed using a two-dimensional computer analysis
program (RISA-2D, version 4.0).  All load combinations were investigated to determine the worst case
loading for each element and the worst case deflection for the frame.  In all cases, the controlling load
combination was again equation 4a; 1.314D+QE+0.5L.  After comparing the frame deflection to the
allowable story drift, a check on the strength requirements of the frame were completed.  Since the same
members being used are the same as for the frame elements as at the low roof, a check to ensure the
location of the plastic hinge was determined to be unnecessary.

Drift requirements;

Calculated drift; δcalc = 0565. "  (14.4mm)                                                     (worst case at first
story level)
Allowable story drift;  ∆allow sxh= 0 025.                          (Table 6.1)

∆allow = =0 025 11 12 33. ( '( "/1' )) . "  (83.8mm)
Therefore; C xd calc allowδ = = < =55 0565 311 33. ( . ") . " . "∆  (79.0mm < 83.8mm)       O.K.

Strength requirements;

Roof Beam:
The following maximum loads were obtained from the analysis output at the toe of the haunch;

M Vu beam
ft kips

u beam
k

, ,. , .= =−30 79 599  (26.6KN)

φb n
ft kipsM = −109  (147.8KN-m) per AISC LRFD 2nd ed. load factor design selection table (using an

unbraced length ‘Lb’ of the compression flange of 5’(1.53m))
φv n

kV = 69  (306.9KN) per AISC LRFD 2nd ed. maximum uniform load tables

∴ = < =− −M Mu beam
ft kips ft kips

b n, .30 79 109 φ  (41.8KN-m < 147.8KN-m)       O.K.

    V Vu beam
k k

v n, .= < =599 69 φ  (26.6KN < 306.9KN)       O.K.
Column:

Note: The columns will be analyzed as if it were a single story column spanning from the first floor level
to the roof and subjected to transverse loading (caused by the second floor diaphragm).  Therefore, the
interstory drift in the moment magnification calculation will be taken as the displacement of the roof level
relative to the first floor level.

Per FEMA 302 paragraph 5.2.6.4.1, 30% of the seismic load effects from the orthogonal direction will be
included.  Since in the orthogonal direction brace frames are acting, this results in only an additional axial
load.  However, in this case the load resulting from the braced frames is zero.

Pu total
k

, .= 3816  (169.7KN)
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φv n
kV = 77 5. (344.7KN)                                    (calculated previously)

∴ = < =V Vu column
k k

v n, . .9 66 77 5 φ  (42.97KN < 344.7KN)       O.K.

B-12  Check allowable drift and P ∆ effect.

Transverse direction;

Drift;

In the transverse direction, allowable drift was checked during the moment frame design.

P ∆  effect;

θ = P
V h C

x

x sx d

∆
             (EQ. 5.3.7.2-1  FEMA 302)

By inspection, the worst case condition occurs at the first story of the interior high roof moment frame
because it has the largest total vertical load “Px” and the largest design story drift “∆ ”.

Px = Total vertical design load without load factors
     = 15’(0.225+0.280+0.600+1.272)klf+2(0.974k+0.649k)
     = 38.9k  (73.0KN)
∆ = 0.565” (14.4mm)
Vx =1.17k + 0.90k + 0.004= 2.074k  (9.23KN)
hsx = 11’(12”/1’) = 132” (3.36m)
Cd = 5.5

∴ = = <θ 38 9 0565
2 074 132 55

0 015 010
. ( . ")

. ( ") .
. .

k

k

Therefore, P ∆  effects need not be considered in the transverse direction.

Longitudinal direction;

Check Drift;

Low Roof;
The stiffness for a single ‘x’ brace (one per building side) consisting of two braces in the horizontal
direction is;

K
AE
L

in ksi
k inhoriz = = − = −2 2 359 29 000

25 12
37 4442

2
2cos

( . ) ,
' ( "/1' )

cos ( ) /φ o  (77.8KN/mm)

Note:  All load combinations reduce to P E Qu E
k= = = 125.  (5.56KN).

∴ = =
−

=δcalc
u

horiz

kP
K k in

125
444

0 003
.

/
. "  (0.08mm)

∆allow sxh= = =0 025 0 025 15 12 4 5. . ( ' ( "/1' )) . "  (114.3mm)

C xd calc allowδ = = < =50 0 003 0 015 4 5. ( . ") . " . " ∆  (0.38mm < 114.3mm)       O.K.

High Roof;
The stiffness of two diagonal braces (two per building side per story) in the horizontal direction is;
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δcalc allow= < =214 2 7. " . " ∆  (54.5mm < 68.6mm)       O.K.

Longitudinal direction;

(QE)roof = SFlongxFroof = 9.47(2.5k) = 23.7k  (105.4KN)

W14X34 (W355.6mmX0.50KN/m) Column in tension;

Note:  Axial load in column is conservatively calcuated
Ignoring the gravity loads as follows;

1-ft = 0.30m

(QUD)col axial = 
237
2 2

593
15
25

356
.
( )

(sin ) .
'
'

.
k

k kφ = F
HG

I
KJ=  (15.8KN)

DCR
Q
Q

mUD

CE

k

k= = = < =356
625

0 006 10
.

. .       O.K.

TS 4X4X1/4 (TS 101.6mmX101.6mmX6.35mm) Braces in tension or compression;

(QUD)brace axial = 
237
2 2

1
593

25
20

7 41
.
( ) cos

.
'
'

.
k

k k

φ
F
HG

I
KJ= F

HG
I
KJ=  (33.0KN)

Compression; 
Q
Q

mUD

CE

k

k= = < =7 41
28

0 27 08
.

. .       O.K.

Tension;
Q
Q

mUD

CE

k

k= = < =7 41
206

0 04 10
.

. .       O.K.

High roof structure;

Transverse direction;

Note:  Risa-2D analysis was rerun using the scale factors applied to the seismic loading.  In all cases the
governing load combination was 4a;  1.314D+QE+0.5L.

For the moment frame without a truss;
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(QE)roof = SFtransxFroof = 11.3 x 1.17k = 13.2 k  (58.7KN)

(QE)floor = SFtransxFfloor = 11.3 x 0.904k = 10.2k  (45.4KN)

For the moment frames with a truss;

(QE)roof = SFtransxFroof = 11.3 x 0.585k = 6.42k  (28.6KN)

(QE)floor = SFtransxFfloor = 11.3 x 3.053k = 34.3k  (152.6KN)

(QE)floor = SFtransxFroof adj = 11.3 x 0.475k = 5.37k  (23.9KN)

Note: In all of the following checks, the moment frame without a truss governed.

W14X26 (W355.6mmX0.38KN/m) Beam at plastic hinge location in flexure;

(QUD)worst case = 187.19ft-kips  (253.8KN-m)

DCR
Q
Q

mUD

CE

ft kips

ft kips= = = < =
−

−
18719

149
126 2 0

.
. .       O.K.

W14X34 (W355.6mmX0.50KN/m)  Column in flexure;

(QUD)worst case = 220.84ft-kips  (299.5KN-m)

DCR
Q
Q

mUD

CE

ft kips

ft kips= = = < =
−

−
22084

234
0 94 193

.
. .       O.K.

W14X34  (W355.6mmX0.50KN/m) Panel zone in shear;

Q
M

d d tUD
u

beam haunch f
=

+ −

(QUD)worst case =
+ −

=
−

−21015
1391 7 0 420

123
.

. " " . "

ft kips
ft kips  (166.8KN-m)

DCR
Q
Q

mUD

CE

ft kips

ft kips= = = < =
−

−
123
158

080 15. .       O.K.

Check Deflection;

∆allow sxh= = =0 015 0 015 11 12 198. . ( ' ( "/1' )) . "  (50.3mm)

δcalc allow= > =6 375 198. " . " ∆  (161.9mm > 50.33mm)       N.G.

Note:  High roof moment frames will have to be redesigned.

Longitudinal direction;

QE = SFlongx{Froof+Ffloor +Ftorsion} = 9.47(1.575k+3.28k+0.323k) = 9.47(5.18k) = 49.0k  (218.0KN)

W14X34 (W355.6mmX0.50KN/m) Column in tension;
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By inspection of this diagram, it is clear that a plastic hinge will form on the right side of the beam where
the moments are greatest (with increased loading, the moments will increase proportionately until yielding
occurs).

The stress ratio on the right side is;

σ
σ

toe of haunch

face of column

toe x toe

face x haunch

ft kips

ft kips

M S
M S

in
in

− −

− −

−

−= = −
−

= >
/

/
. ( "/1' ) /
. ( "/1' ) /

. .,

,

187 65 12 123
20816 12 268

196 12
3

3       O.K.

The left side was investigated by placing a plastic hinge at the assumed hinge location on the right side and
analyzing the resulting configuration.  The lateral load was increased until yielding occurred at the toe of
the haunch on the left side.

M Z F in ksip x y
ft kips= = − = −139 36 4173 ( ) (565.5KN-m)

M S F in ksiy x y
ft kips= = − = −123 36 3693( )  (500.4KN-m)

The resulting moment diagram, showing moments at the face of column and at the toe of the haunch, is as
follows;

1-ft-kip = 1.356KN-m
The resulting stress ratio on the left side is;

σ
σ

toe of haunch

face of column

toe x toe

face x haunch

ft kips

ft kips

M S
M S

in
in

− −

− −

−

−= = −
−

= >
/

/
. ( "/1' ) /
. ( "/1' ) /

. .,

,

357 86 12 123
392 26 12 268

199 12
3

3       O.K.

Check unbraced length of the compression flanges (per AISC seismic requirements);

Try 5’ on center (same spacing as the perpendicular floor joists);

L
ksi

r

Fb
y

y
= < = =5 14 4

2500 2 48 1
36

2500
' . '

( . " )( '/12")
(1.53m < 4.39m)      O.K.

Note:  By inspection, the high roof moment frame with a truss will be acceptable.

Braces:
Try TS 4.5x4.5x1/4  (TS 114.3mmX114.3mmX6.4mm)
Check DCR in compression;

QCE = 1.25Pn = 1.25(34.1k) = 42.6k (189.5KN)
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where; Pn is calculated using AISC LRFD 2nd ed. column
load tables as follows;
From the tables with KL = 1.0(25’) = 25’ (7.62m)
Pn = 29k/0.85 = 34.1k (151.7KN)

Check DCR ratio in compression;
Q
Q

mUD

CE

k

k= = < =30 4
42 6

0 71 08
.
.

. .       O.K.

Use TS 4.5x4.5x1/4 (TS 114.3mmX114.3mmX6.4mm)

e. Design connections.

General;

Governing design loads can be from either of ground motions A or B.  Ground motion A consists of two
thirds of the Maximum Considered Earthquake (MCE), includes R values, and was used in performance
objective 1A.  Ground motion B consists of three-quarters of the MCE, does not include R-values, and was
used in performance objective 3B.  Further, for force controlled components, the seismic load from ground
motion B is divided by the modification factors C1, C2, C3, and J to restore it to a force-controlled action.
However, some elements of the connections may derive their design loads from the expected strength of
other connection elements.  For example, panel zone shear used to determine the need for doubler plates is
limited by expected strength of the beams framing to the column flanges, and the design load for continuity
plates is taken from the expected strength of the beam flanges.  Additionally, brace frame connections may
be designed for the expected strength of the brace.

Two example connection designs will be shown; a moment connection and a braced frame connection.
Both connections are from the low roof portion of the building.

Low Roof;

Transverse direction;

Moment frames;

In designing the main elements of the moment frame (i.e., the beams and columns) most of the
requirements of the AISC seismic provisions for moment connections had been met.  What remains is to
determine the need for doubler plates, the need for continuity plates, and the design of the bolted gravity
load connection at the beam web.

Determine if doubler plates are required;

Determine Demand;

Note:  Loading from performance objective 1A including the structural overstrength factor (Ω o = 3 ) could
have been used to determine a smaller demand ‘Ru’.  However, it is more convenient to apply the expected
strength requirement of 0.8 times R My p∑  as follows;

R
R M

d d tu
y p

b haunch f
=

+ −
∑08.

   (per AISC seismic provisions dated April 15, 1997)

where; Ry = 1.5  (for ASTM A36)
Mp = ZxFy = 43.24-in3(36ksi) = 1,557in-kips  (175.9KN-m)
db = 13.91”  (353.3mm)
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dhaunch = 7.00”   (177.8mm)
tf = 0.420”   (10.7mm)

∴ =
+ −

=R u

k
k08 15 1557

1391 7 00 0 42
911

. ( . ( , ))
. " . " . "

.
"

  (405.2KN)

Determine Capacity;

( )R v W X
k

14 34 158=  (702.8KN)                     (calculated
previously)

Check;
φv v

k k k
uR R= = > =0 75 158 119 911. ( ) .  (529.3KN > 405.2KN)       O.K.

Check panel-zone thickness;

t d wz z≥ +( ) / 90               (EQ. 9-2  AISC Seismic provisions)
where; dz = panel zone depth between continuity plates (which includes haunch depth)

dz = 13.91”+7.00”-2(0.42”) = 20.1”  (510.5mm)
wz = dc-2tf = 13.98”-2(0.455”) = 13.1”  (332.7mm)

∴ = < = + = +
t

d wz z0 285 0 369
201 131

90 90
. " . "

. " . "
  (7.24mm < 9.37mm)       N.G.

Try a 3/8” (9.53mm) thick doubler plate (using ASTM A36);

Provide weld to match shear strength of the required thickness of doubler plate (use E70XX electrode);

Shear capacity of doubler plate = φ φF A F t bBM g BM d d=
where; FBM = nominal shear capacity of base metal = 0.6Fy

Ag = gross area of the doubler plate
td = thickness of doubler plate
bd = width of doubler plate

Shear capacity of welds = φF s bw d( . )0 707
Where; FW = nominal shear capacity of welds = 0.6FEXX

s = weld leg length

Therefore; φ φF t b F s bBM d d W d= ( . )0 707

or s
F t

F
ksi

ksi
BM d

W
= = =φ

φ0 707
0 9 0 6 36 0 369

0 707 315
0 322

. ( )
. ( . ( )) . "

. ( . )
. "   (8.18mm)

From AISC J2.2b, the maximum weld size is;

s td= − = − =1
16

3
8

1
16

0 313" " " . "  (7.95mm)       N.G.

Try a 1/2” (12.7mm) thick doubler plate with a 3/8” (9.53mm) weld;

For a 1/2” (12.7mm) thick doubler plate; s = 0.438”  (11.13mm)       O.K.

From AISC table J2.4, the minimum weld size is; s = 3/16” < 3/8”  (4.76mm < 9.53mm)       O.K.
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Choose 1/2” (12.7mm) doubler plate secured with a 3/8” (9.53mm) fillet weld min

Determine if continuity plates are required;

Determine demand;
P A F A R F ksibf f ye f y y

k= = = =0 420 5025 15 36 114. "( . ") . ( )  (507.1KN)

Determine capacity;
φ φR k N F t A Fn yw w st yst= + +[( . ) ]2 5

where; k = 1.0”  (25.4mm) distance from outer surface to toe of fillet for the
column

N = tbf = 0.420”  (10.67mm) thickness of the beam flange
Fyw = 50ksi  (344.8MPa) yield strength of the column web
tw = 0.285”  (7.24mm) thickness of column web
Ast = area of the stiffner
Fyst = 36ksi  (248.2MPa) yield strength of the stiffener
φ= 10.

A
P k N F t

F
ksi

ksi
inst

bf yw w

yst

k
=

− +
= − + = − >

( . ) ( . ( . ") . ") ( . ")
.

2 5 114 2 5 10 0 420 50 0 285
36

2 01 02

(Ast = 1.30X103 mm2)
Therefore, stiffeners with a total area of at least 2.01-in2 (1.30X103 mm2) total are required.

Design stiffeners in accordance with AISC LRFD 2nd ed. section K.9;

b
t b

b
b t

st
cw b

st
b cw+ ≥ ⇒ ≥ −

2 3 3 2
where; bst = width of a single stiffener

bb = width of the beam flange
tcw = thickness of the column web

b
b t

st
b cw= − = − =

2 2
5025

2
0 285

2
2 37

. " . "
. "   (60.2mm),  Say  two stiffeners with bst = 3.0”  (76.2mm)

t
t

st
bf≥
2

where; tst = thickness of a single stiffener

tbf = thickness of the beam flange

use; tst = 0.375”  > 0.210”  = 
0 420

2 2
. " = tb ,    (Ast )total = 0.375”(3.0”)2 = 2.25-in2 > 2.01-in2    O.K.

(tst = 9.53mm > 5.33mm) (Ast)total = 1.45X103 mm2 > 1.30X103 mm2)
Check local buckling of the stiffeners;

b
t ksi F

st

st y st

= = < = =30
0 375

8 0 1583
95

36
95. "

. "
. .

,

      O.K.

where; Fy,st = yield strength of the stiffener

Design welds for the stiffeners;
Stiffener to column web;

Minimum weld size = 3/16”   (4.76mm)    (per AISC LRFD 2nd ed. table J2.4, based on stiffener
thickness)

Size required for strength;
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Force to be resisted by a stiffener is;

F P k N F t ksibf yw w
k k= − + = − + =( . ) ( . ( . ") . ") ( . ") .2 5 114 2 5 10 0 420 50 0 285 72 4 with N = tbf

(F = 322.0KN)
Length available for welding stiffeners to the column web is;

L = 12” (assuming a 1/2” chamfer) x 2 sides x 2 stiffeners = 48”  (1.22m)

The required weld size is;

Note; For E70XX electrodes; φF ksi ksiw = =0 75 0 60 70 315. [ . ( )] .  (265.0MPa)

s
R

L( F ksi
u

w

k

= = = <
( . ) )

.
. ( ") .

. "
"

0 707
72 4

0 707 48 315
0 068

3
16φ

  (1.72mm < 4.76mm)

Therefore, the minimum weld size governs

Check shear strength of the base metal;

φ φR t F x ksi kips inn st st= = = −( . ) . ( . ) . "( ) . /0 6 2 0 9 0 6 0 375 36 2 14 6  (2.56KN/mm)

φR kips in kips in
F

Ln

k
= − > − = =14 6 302

72 4
48 2

. / . /
.
"/2 /

     (2.56KN/m > 0.53KN/m)       O.K.

Stiffener to column flange; Use full penetration groove welds

Choose two 3/8”  (9.53mm) thick by 3.0”  (76.2mm) wide stiffeners with a 3/16”  (4.76mm)  weld at
the column web and a full pen-etration groove weld at the column flange

Design the single-plate web connection;

Note: The governing load combination (1.2D+0.5L+1.6Lr) is based solely on gravity loads.

wu = 1.2D+0.5L+1.6Lr = 1.2(343plf)+0.5(0)+1.6(240plf) = 796plf   (11.6KN/m)

V
w L d plf

u
u c k= − = − =( ) ( ' . "( '/12"))

.
2

796 30 1398 1
2

115   (51.2KN)

Try a 3/8”  (9.53mm) plate;

Determine the number of 3/4”  (19.05mm) diameter A325-N bolts required for shear;

From AISC LRFD 2nd ed. table 8-11;

n
R
r kips bolt
u

n

k

min
.

. /
= =

−
=

φ
115

159
0.72 bolts,   Say 2 bolts

Determine the number of 3/4”  (19.05mm) diameter A325-N bolts required for bearing, assuming Le = 1-
1/2”  (38.1mm), and s = 3”  (76.2mm).  The .255”  (6.48mm) beam web is more critical then the 3/8”
(9.53mm).

From AISC LRFD 2nd ed. Table 8-13;
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The final design of the low roof moment connection is as follows;

1-in = 25.4mm
1plf = 14.58n/m

Longitudinal direction;

Braced frames;

A typical brace connection located at the foot of the column will be designed;

Determine demand;

It is decided to design the brace connection using the maximum load that can be delivered to it by the
brace;

Tension; Ru = RyFyAg = 1.5(46ksi)4.0 9-in2 = 282k  (1.25MN)
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The final design of the low roof brace frame connection at the roof is as follows;

1-in = 25.4mm
1plf = 14.58N/m


